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Discussion of 
“STRENGTH CHARACTERISTICS OF COMPACTED CLAYS” 


by Gerald A. Leonards 
(Proc. Sep. 360) 


G. A. LEONARDS,* A.M. ASCE.—The author is indebted to Mr. Mitchell 
for calling attention to the important effects of soil structure on the strength 
characteristics of compacted clays. It was not intended to minimize the 
significance of soil structure. On the other hand, the variables that can 
profitably be investigated in any one study are limited in number. Accord- 
ingly, it was decided to consider the effects of applied stresses, with or with- 
out precompression, and the effect of adding water from an external source. 
For this purpose accurate duplication of initial water content, void ratio, and 
soil structure was required, and when this was accomplished, the samples 
were said to have a “given set of initial conditions.” Since the data presented 
cover a broad range of drainage conditions and stress history, the results are 
considered to be generally valid provided the initial conditions have been 
duplicated. 

Mr. Mitchell suggested that a more accessible property than the failure 
void ratio be sought for the purpose of correlating strength results. At the 
present time the only alternative appears to be the determination of pore 
pressures. The relative “accessibility” of the two types of measurements is 
largely a matter of the investigator’s personal preference. 

Messrs. Bennett and Wohlt have attempted to show that the author’s data 
could be interpreted in the light of Coulomb’s hypothesis and the Terzaghi 
theory of consolidation. In their discussion it was assumed that: (a) volume 
changes do not occur during shear testing; (b) that the Terzaghi theory of 
consolidation is valid for unsaturated soils; and (c) that the void ratio vs. 
compressive strength curves are parallel to the consolidation curves. 
Figures 23 and 24 show that important volume changes do occur even in 
“undrained” shear, and although actual relationships were not plotted, the 
author’s data do not show the compressive strength curves to be parallel to 
the consolidation curves. Furthermore, if the degree of saturation is less 
than about 90 per cent, the Terzaghi theory of consolidation no longer re- 
flects, even approximately, the pore pressures in the soil mass. Thus, while 
the interpretations suggested by Bennett and Wohlt may be satisfactory for 
series 4 of the Fort Union clay (initial degree of saturation approximately 95 
per cent ), the general validity of their approach is seriously questioned. 

The author agrees with Messrs. Bennett and Wohlt that the failure void 
ratio is a result rather than a cause of applied stresses and apologizes for the 
improper use of the word “control” in the synopsis. Nevertheless, the shear 
strength is reflected uniquely by the void ratio at failure for a “given set of 
initial conditions,” and if this phrase is interpreted in the manner previously 
explained, the first conclusion stated in the paper is still considered to be 
valid, Bennett and Wohlt are correct in pointing out that the failure void 
ratios reported are actually the void ratios after failure and removal of all 


1, Asst. Prof., Soil Mechanics, Purdue Univ., Lafayette, Ind. 
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externally applied loads. Were it possible to measure the void ratios in the 
failure zone prior to removing the applied stresses, the absolute position of 
the curves presented would undoubtedly be altered—particularly in the region 
of high confining pressures—but this fact detracts very little from the 
validity of the stated conclusion. 

Messrs. Gibbs and Hilf have raised a number of questions of considerable 
theoretical and practical importance. It was stated that: 


“The effective Mohr strength envelope and its inclination, the true angle 
of internal friction, satisfactorily explain the mechanism of shear failure 
in all soils.” 


The author disagrees; however, effective discussion requires some prior 
statements with regard to the meaning of the terms “true angle of internal 
friction,” and “effective Mohr strength envelope.” 

If a saturated clay that has never been precompressed is tested in drained 
shear, and the shearing resistance (S)! plotted against the intergranular 
stress on the failure plane ( @¢), an essentially straight line passing through 
the origin is obtained (Figure 30a). The slope of this line, designated ¢y, 


has been termed by Taylor (3)2 and others the “true angle of internal fric- 
tion.” If the clay is precompressed at an intergranular pressure @ p re- 


bounded to equilibrium at a lower stress oe and tested in drained shear, 
the shearing resistance is increased (Figure 30b). This increase in shear- 
ing resistance, designated cg, has been termed “true cohesion”(3, 17). If the 
relationship between S and or in figure 30b is approximated by a straight 


line (Figure 30c) for a limited range of @,, this line may be defined by its 


slope ¢, and its intercept on the S axis, c. The parameters c and ¢ (termed 
cohesion and angle of internal friction, respectively) represent the Coulomb 
hypothesis. 

Figure 30d, e, and f show the corresponding relationships for the same 
saturated clay when tested in consolidated—undrained shear. The slope of 
the straight-line portion of the Mohr envelope is designated Pou and the 


increase in shearing resistance due to precompression Ccy. Since pore pres- 


sure measurements are required to define these envelopes, few reliable data 
of this kind are actually available. It has not been established that %4 equals 
Pcy or that cq equals cy, but it is evident that the Coulomb values of c and 
¢ are not equivalent to either of the other parameters. In their discussion, 
Messrs. Gibbs and Hilf have termed ¢,,, the “true angle of internal friction” 
but the Coulomb c value was called cohesion. Although this approach lacks 
consistency, it will be shown later to have considerable practical utility. One 
fact needs to be emphasized at this point: Pou is not a constant for a com- 
pacted soil but varies widely with the degree of compaction and the molding 
water content. The selected data presented by Gibbs and Hilf do not reflect 
the wide variation in ¢,,, usually encountered. (35) 

Figure 30, g, h, and i show the corresponding Mohr rupture envelopes for 
the same saturated clay tested in consolidated— undrained shear, but the 


1. The term “shearing resistance,” or “shear strength,” is used herein to 
designate the shear stress at failure on the failure plane. 

2. Numbers in parenthesis refer to the references listed at the end of the 
paper (up to number 34) or at the end of this discussion. 
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shearing resistance (S) is now plotted against the normal intergranular stress 
on the failure plane prior to shear testing (0 ,). Pore pressure measure- 
ments are not required to define these envelopes. ¢ a has been termed the 


“apparent angle of internal friction” (3) and is invariably less than gq. The 
“apparent cohesion” c,, however, is often larger than cq; thus, the undrained 


shearing resistance of a highly precompressed soil may be greater than the 
drained shear strength for low values of @,. Finally, for low values of @ ¢ 
compared to @ p the Coulomb ¢ value approaches zero, and the undrained 


shearing resistance can be approximated by one-half the unconfined compres- 
sive strength regardless of the magnitude of the externally applied stresses. 
It is clear that the Coulomb values of c and ¢ are merely convenient coef- 
ficients suitable for defining the strength characteristics for an arbitrary set 
of stress and drainage conditions. If the stress history and drainage condi- 
tions are not specified, the Coulomb coefficients can be more misleading than 
helpful. 

From a series of classic tests on saturated, remoulded, normally con- 
solidated clays, Hvorslev(22) concluded that, for a constant void ratio at 
failure, the rate of change of shearing resistance with respect to intergranu- 
lar pressure on the failure plane was essentially a constant. Thus, 


- tan 


t 
Cons. 


and ¢ t was termed the “true angle of internal friction.” The remainder of 
the shearing resistance, termed the “true cohesion” c,, was found to depend 


only on the void ratio (or water content) at failure. ¢; is smaller than dq . 
often by a considerable amount. Using Hvorslev’s criterion, the drained 
shearing resistance would be composed of two parts: @, tan ¢; (true 
friction) and c; (true cohesion). 

When a clay soil is brought to a state of failure in a cylindrical compres- 
sion test slip planes are often observed. If, at the instant of failure, the 
shearing resistance is the same on all planes through a point in the soil mass, 
failure would occur along planes of maximum applied shear stress (45° to 
the major principal plane). If the shearing resistance (S) varies with effec- 
tive normal stress, Terzaghi(11) showed that for isotropic soils the failure 
planes should be inclined at 45° + ?r/2 to the major principal plane, where 
tan gr is + . Since the void ratio is the same on all planes through a 
given point at failure, it follows that y should equal ¢y. By measuring the 
inclination of the failure planes in undrained compression tests, Hvorslev(22) 
demonstrated that this was very nearly the case. Hvorslev’s criterion has 
since been substantiated by a number of investigators, notably Bjerrum(36) 
and Gibson(37). Gibson showed that the criterion was also valid for several 
undisturbed clays. By applying an energy correction to account for the work 
done by volume changes in the soil mass and by measuring the direction of 
the slip planes when they first appeared, ¢, was found to equal ¢; witha 
high degree of precision. It was also shown that ¢¢ was very nearly a con- 


stant, decreasing only slightly with increasing water content. 
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Each of the approaches previously described offers specific advantages 
depending upon the nature of the problem being investigated, and arguments 
to the effect that any one approach is more “fundamental” than the others are 
fruitless. However, in the interest of consistency, the following terminology 
is suggested: 


+ , the true angle of internal friction 
9a , the angle of shearing resistance in drained shear 
Pen , the angle of shearing resistance in consolidated-undrained shear 


%., , the apparent angle of internal friction 


, the Coulomb ¢ - value 
, the true cohesion 


, the drained shear cohesion 
c,.. , the consolidated - undrained shear cohesion 


, the apparent cohesion 
c  , the Coulomb c - value 


The behavior of unsaturated clays is considerably different from those that 
are saturated. Although Woodsum(34) showed that compaction produces an 
effect similar to precompression insofar as consolidation characteristics are 
concerned, the data presented by Gibbs and Hilf indicate that a comparable 
curvature in the Mohr rupture envelope does not develop. Studies made at 
the Norwegian Geotechnical! Institute under the direction of Dr. L. Bjerrum 
confirm this phenomenon. 

According to Bjerrum(38), the shearing resistance of clays compacted to a 
given set of initial conditions can be expressed by 


s-c+ &tan¢ 


where c and ¢ are constants (approximately) regardless of whether the shear 
tests are drained or undrained, whether the samples are previously con- 
solidated or not consolidated, and whether consolidation is applied isotropical- 
ly or anisotropically. It is further claimed that if the sample is consolidated 
anisotropically, the pore pressures that develop are similar to those meas- 
ured in the field. These statements, if substantiated, are of outstanding 
practical importance, because the stability of a compacted earthen embank- 
ment could be evaluated at all times by means of field pore pressure meas- 
urements. 

Investigators in this country may also be interested in learning that the 
Norwegians have been using the following simple procedure for saturating 
specimens of compacted clay with considerable success: if it is desired to 
saturate the sample and to consolidate it at a confining pressure of, say, 2 kg. 
per sq. cm., a chamber pressure of 12 kg. per sq. cm. is applied in the tri- 
axial cell, simultaneously raising the water pressure in both porous end 
plates to 10 kg. per sq. cm. For such high pressures in the pore water the 
air is compressed and dissolved until virtually 100 per cent saturation is 
achieved. 

In the author’s opinion, the reliability of pore pressure measurements ob- 
tained during laboratory shear tests on unsaturated clays is open to question. 
For this reason an important objective of the paper was to demonstrate 
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experimentally that the over-all effects are reflected uniquely in terms of the 
void ratio at failure (conclusion 1). For the test data reported by Gibbs and 
Hilf the degree of saturation ranges between 50 and 90 percent, and the meas- 
ured pore pressures agree closely with the values computed from their 
theoretical equation. In view of their great practical importance, it would be 
helpful if other investigators could corroborate these results. 

The data presented in figure 3 by Gibbs and Hilf do not substantiate the 
author’s third conclusion. The discrepancy may be due to the fact that in 
figure 3 the average void ratio at failure is plotted, not the void ratio in the 
failure zone, or it might be due to the different soil structures developed by 
static and dynamic compaction. Pending further research, it is suggested 
that this conclusion be viewed with caution. 

The strength characteristics of clays are determined by the forces 
developed between soil particles, between absorbed atoms and ions, and be- 
tween solid-liquid-gas interfaces in unsaturated soils. Although the future 
may look promising, it is still necessary to express the manifestation of 
these forces in terms of “macroscopic” effects with the result that the 
properties of clays appear complex and mysterious. A partial list of 
phenomena whose imperfect understanding exemplify this dilemma is as 
follows: the changes in strength properties effected by incorporating small 
amounts of chemicals; the variation of undrained shear strength with the rate 
of shear; the ‘threshold” shear strength; “peak” and “ultimate” shear 
strengths and their inter-relation; deformation rates at constant effective 
stress (creep); electro-osmotic and electro-chemical hardening effects; and 
the changes in strength produced by “frost action.” Accordingly, the state- 
ment that the effective Mohr strength envelope and its inclination satis- 
factorily explain the mechanism of shear failure in all soils is entirely 
untenable. A great deal of work still remains to be done before any claim 
to a satisfactory understanding can be made. 
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Discussion of 
“PAVLOVSKY’S THEORY FOR PHREATIC LINE 
AND SLOPE STABILITY” 


by K. P. Karpoff 
(Proc. Sep. 386) 


K. P. KARPOFF,* A.M. ASCE.—The writer is appreciative of the discus- 
sers’ interest and time in making comments on the above subject and will 
attempt to clarify the points brought out by each of the discussers. 

In the first page of the paper appears a statement that the writer used 
(1936-39) Professor Pavlovsky’s theory in the field during the investigation 
of the hydraulic and structural properties of the earth embankments of 
canals and obtained good results in comparison with the actual conditions in 
the field. This statement was made to emphasize the fact that the results ob- 
tained during the investigation were adequate to make the decision concern- 
ing the hydraulic and structural conditions of the earth structure in question. 

At present there are many different theories and methods for solution of 
the above complex problems, but it is not believed that any of these methods 
can be considered absolutely accurate. However, any of these methods in the 
hands of the experienced engineer could serve as a tool in solving the prob- 
lems, and provide sufficient information to make a decision on the hydraulic 
properties of the structure. 


Comments on Remarks by Mr. Hamilton Gray 


The progressive deterioration of the improperly designed downstream 
Slope usually begins in the region below the point of intersection of the 
phreatic line with the downstream slope, but not at the point of M.,.- There- 
fore, the potential energy for this region should be considered a magnitude 
equivalent to the height of a,. This height is equal to the difference in eleva- 
tion between the point M, and the foundation of the earth dam (Figure 9, 
Sketch I). 

From a practical point of view, an average hydraulic gradient for the 
downstream part of the dam can be considered as tan a for the following 
reasons: 


1) The laboratory investigations on the models show that deeper filtra- 
tion filaments close to the surface of the impervious foundation permit 
very little passage of the seepage flow, and provide a negligible hydraulic 
pressure on the soil particles. 

2) The filtration filaments at their curvature paths as shown in Mr. 
Hamilton’s Figure 1 will meet more than a horizontal resistance per unit 
length because during construction of an earth fill structure the layers of 
soil are placed horizontally and compacted. 


*Soil Mechanics Research Engr., U.S. Bureau of Reclamation, Denver, Colo. 
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3) A plotting of a flow net with the help of the electroanalogy study as 
well as a free hand sketching of the net shows that the flow lines at the 
downstream part of the dam are practically horizontal. Mr. Hamilton’s 
sketch (Figure 1) has an approximate slope 0.6:1 from which it is hard to 
realize such a phenomenon. 


The direction of the outward seepage force (YJ) which acts upon the unit 


volume of soil in the vicinity of the downstream slope can be considered as 
tangential to the phreatic line or in the direction along the slope. The writer 
in his discussion on stability of the downstream slope used the direction of 
this force along the slope for the following reasons: 


1) A properly designed stable slope must be tangential to the phreatic 
line at point Mp. 

2) In general when the filtration filaments just approach free drainage 
(boundary of downstream slope) they experience a sudden change in their 
direction and become tangential to the slope. 


Analysis of Mr. Hamilton’s results for stable downstream slope which he 
obtained by substitution of the writer’s illustrative values in his equations(7) 
leads to the following practical conclusion: 


1) Mr. Hamilton’s average value of two angles (at M and N) = 12° 7,13' 
giving a practical slope ratio of 4-3/4:1. 

2) By the Pavlovsky method (Karpoff) the value of stable slope = 12° 
14.5' giving a practical slope ratio of 4-3/4:1. 


The above conclusion indicates that both methods for computation of the 
stable slope have good practical correlation. 

Mr. Hamilton’s Grath No. 3 indicates that if the curves for average values 
of Points M and N will be plotted, then the discrepancies in values, for any 
relationship between a maximum stable slope and corresponding angle of 
internal friction (¢), of these curves and Pavlovsky’s (Karpoff) curves be- 
come insignificant. 

The writer is in full agreement with Mr. Hamilton concerning improve- 
ment of the stability of slope by installation of a drainage system or different 
types of inverted filters at the downstream part of the dam.1 However, 
Pavlovsky in his study also proves that a layer of selected granular material 
of a desired thickness acts as a normal load on the slope surface of the down- 
stream part of the dam, improving stability of slope in that particular region 
by keeping the soil particles in place and providing easy dissipation of the 
seepage flow. In other words, this layer of granular material is a preventive 
measure against the progressive deterioration of the slope by the outward 
force of the seepage water in that region only.2 (Writer’s paper, Figures 1 
and 2.) Therefore, considering the above statement it is not necessary to 
determine a depth of sliding material (D) for solution of the problem. 


1. Reference (2) in writer’s paper pages 101 to 116 and pages 120 to 129, 
inclusive. 

2. On October 21, 1946, the slopes of Westway Canal No. 5, Yakima, 
Washington, were protected by 8-inch layer of selected granular material 
overlaid by 21 inches of rock riprap. 


Comments on Remarks by John A. Focht, Jr. 


The writer is in full agreement with Mr. Focht that a homogenous dam 
section is unusual in modern designing but Mr. Focht should bear in mind 
that the article and the illustrative examples which are presented in the 
paper represent one of the simplest parts of Professor Pavlovsky’s theoreti- 
cal studies. Professor Pavlovsky in his study of the stability of earth fill 
structures considered not only homogenous earth dams but also composite 
earth dams with and without drainage systems (writer’s paper, Reference (2), 
pages 1 to 146). 

Mr. Focht indicates that the value of a coefficient of permeability cannot be 
determined closely enough to be used in the computation of unit seepage flow 
through a section of an earth dam. The writer feels that the value of the coef- 
ficient of permeability of soil can easily be obtained from laboratory investi- 
gations. Testing of the physical properties of a soil prior to and during a 
particular construction usually provides sufficient information for a satis- 
factory determination of a coefficient of permeability (K). 

The sketched flow net, besides an estimate of the average hydraulic 
gradient through the average area, and study of the hydraulic properties 
also includes a determination of the approximate unit seepage flow through 
a section of an earth dam by using the following equation: 


N, 
a= 


unit seepage flow 

coefficient of permeability 
loss of hydraulic head 

total number of flow channels 


total number of equipotential drops 


From the above statement it is seen that analysis of the hydraulic boundary 
of an earth fill structure by either method should include consideration of all 
hydraulic properties of the structure, including approximate determination of 
the unit seepage flow. 

Mr. Focht also feels that movement of particles of clayey material cannot 
take place under the pressure of outward force of the seepage water because 
of the cohesive properties of clay. However, Mr. Focht considered this 
phenomenon only from the physical properties of soil leaving out the physico- 
chemical properties of the clay. 

In spite of the fact that the physical and physico-chemical properties of 
soil are outside the scope of the writer’s paper, it should be stated that clay 
materials are at the present time divided into general groups as follows: 


a) Kaolinite (lean clay). This type of clay in natural or artifically 
compacted state is stable and firm because of its comparatively coarse 
grain and has a total exchange capacity of about 5 me/100 g of dry soil 
and low affinity for water. 

b) Hydromica or illite clays, which have a total exchange capacity of 
between 10 me/100 g and 40 me/100 g and vary widely in particle size, 
are widely variable in engineering properties. 

c) Montmorillonite (fat clay) which usually is extremely fine grained 
and has an exchange capacity of 80 me/100 g to 150 me/100 g. 
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> 
where 

q = 

K = 

hy = 

Ny = 


ne 


The montmorillonite and illite clays have a high affinity for water, par- 
ticularly in the presence of even a small percentage of exchangeable Na+ion. 
Some of these clays become very unstable having very low shear value (tan ¢) 
and, under certain conditions of loading and saturation, practically no cohe- 
sion. 

Moreover, these properties become even worse when these types of clay 
are subjected to the hydrostatic pressures exerted by the water in the pores 
below the line of saturation. A protective blanket (inverted filter) or ade- 
quate thickness (on the slope of the downstream part of the dam)(writer’s 
paper, Figures 1 and 2) composed of a selected granular material will pre- 
vent movement of the particles and provide easy dissipation of seepage flow. 
This blanket usually extends a few feet above the point M, and is considered 


as a preventive measure against progressive deterioration of the slope by 
outward seepage water near the toe of the structure. 


Comments on Remarks by Abdel-Aziz I. Kashef 


Study of the data compared in Table 3 shows that Pavlovsky’s and the 
iteration methods, from a practical point of view, have good correlation. 
The coordinates of point M, (S; a.) in both methods check very well. The 
position of the point M, on the downstream slope is one of the important 
factors in the study of the hydraulic properties and stability of the section. 
However, the discrepancy between piezometer heads as well as between co- 
ordinates of the point M, can be diminished by changing the hydraulic 
boundary of the section. The section shown in Figure 4 of the writer’s paper 
was used for illustrative purposes only. 

Mr. Kashef feels that the iteration method is more accurate than the 
Pavlovsky method for determining a position of the phreatic line and for 
hydraulic studies of the section. However, from the writer’s point of view, 
both methods are approximate because these methods are based on the two- 
dimensional approach for solution of the problem. 

But the problem is actually of three-dimensional order. Therefore, the 
results obtained by either method can be considered as approximate, and 
serve only as a guide in the analysis of the hydraulic properties of the 
structure. 


Comments on Remarks by Mr. William H. Gotolski 


The author disagrees with Mr. Gotolski’s approach in comparing several 
methods of solution in his illustrative example. The results of this compari- 
son are shown in Table 1. The writer’s disagreement is based on the follow- 
ing statements: 


1) The section of the homogenous earth dam on the “impervious” 
foundation selected by Mr. Gotolski appears to be unsatisfactory and un- 
Stable because the elevation of the point of intersection of the phreatic 
line (M, ) with the downstream slope varies from one-third to one-half of 
the upstream hydraulic head. This high position of the point M, indicates 


that the section has unsatisfactory hydraulic boundaries by either method. 
2) It is necessary to adjust the hydraulic boundaries of the section to 

such extent that they will reasonably satisfy the demands of the method 

chosen before making comparisons with other methods. This requirement 
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is based on the fact that the position of the phreatic line and particularly 
the position of the point M, depends upon the hydraulic boundaries of the 
section. 

3) The discrepancies in the solution of the problem by several methods 
will become smaller for the section -with the flatter slopes and they will 
become greater for the section with the steeper slopes. Therefore, by 
manipulation of the grades of upstream and downstream slopes, the 
satisfactory hydraulic boundaries of the section can be determined in this 
case by having the elevation of the point M, = 1/10 of Hy or less above the 
foundation. 


To conclude that one method is preferable to another on the basis of the 
results presented in Table 1 (Mr. Gotolski) would be unsupportable due to the 
unsatisfactory section chosen for the example. 

Three drawings are attached to this paper (Figures la, 1b, and 2) which 
illustrate the applica‘'con of the two methods to the solution of Mr. Gotolski’s 
example. These two solutions show very well that the accuracy of the solu- 
tion of the problem depends not only upon the method which is used, but also 
on how it is used. 

One other drawing enclosed represents the results obtained in the field 
during studies of experimental earth fill dam sections which were built on 
the basis of Pavlovsky’s theory in Uzbeg Province in the vicinity of Tashkent 
(between 1929 and 1930). Figure No. 3 shows test results of an earth fill dam 
on an impervious foundation and indicates close correlation of the theory to 
observed values. Figure No. 4 shows the test results of an earth fill dam on 
a pervious foundation using Pavlovsky’s theory of an impervious foundation. 
This figure indicates appreciable difference between theoretical and actual 
position of the phreatic line. The lower actual position of the phreatic line 
results in added stability which is a factor of safety in the computations. 

The statements made in the closure are not meant to disprove the theories 
or methods presented by the discussers, but rather as supplementary inter- 
pretive information. 


, 
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S = b +m, (Hg-G9) = 22.0 +3 (100-24.5) = 248.5 Ft. 


+ 600.25 = 68.6 ft 
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Values of y shown in step (6) of Figure 2 
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Discussion of 
“SOIL PROBLEMS IN THE SOUTHERN PIEDMONT REGION” 


by George F. Sowers 
(Proc. Sep. 416) 


GEORGE F. SOWERS, ! A.M. ASCE.—The writer appreciates very much 
the kind comments of Professor H. M. McMaster. He states that this type of 
information would be vaJuable for the entire United States. The Society’s 
Committee on Engineering Geology and the Local Section Soil Committees 
are working on some aspects of this. It will be up to the individuals inter- 
ested in each region, however, to supply the data and to collect and publish 
the results. 

The writer is continuing the studies of the Piedmont Region. Since the 
publication of this paper, data have been accumulated on additional sites in 
this region. The relationships given in the paper are largely unchanged. 
Additional consolidation test data from four sites indicate that some adjust- 
ments are in order in Fig. 6. A revised Fig. 6 is attached. 

Studies have been completed on six sites located in the Blue Ridge Moun- 
tain Region. This region forms the western boundary of the Piedmont. Like 
the Piedmont, it is underlain by ancient crystalline rocks. These are largely 
metamorphic rocks such as gneiss, schist and quartzite, with occasional 
granite intrusions. Shearing and faulting have been extensive. These rocks 
weather into the same types of soils as the Piedmont rocks. The depth of 
soil is much more irregular. On the steeper slopes the soils may form only 
a veneer two or three feet thick while in the valleys and on the shoulders of 
the mountains the soils may be considerably deeper. 

The characteristics of the soils of the Blue Ridge Region are basically the 
same as those of the Piedmont. In general, the sandier phases predominate, 
particularly on the steeper slopes. In flat areas and in the zones of extensive 
shear, both the sandy silts and silty sands can be found. All indications are, 
therefore, that from the soil engineer’s point of view, the Blue Ridge and 
Piedmont Regions may be grouped together. 


1. Prof., Civ. Eng., Georgia Inst. of Technology, Atlanta, Ga. f 
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VOID RATIO OF UNDISTURBED SOIL 


FIG. 6 (REVISED) RELATIONSHIP BETWEEN THE 
COMPRESSION INDEX AND THE VOID RATIO OF 
THE UNDISTURBED SOIL FOR THE MICACEOUS SANDY 


SILTS AND MIGACEOUS SILTY SANDS OF THE INTERMEDIATE 
AND PARTIALLY WEATHERED ZONES 


Discussion of 
“MODERN PROCEDURES FOR UNDERGROUND INVESTIGATIONS” 


by George F. Sowers 
(Proc. Sep. 435) 


GEORGE F. SOWERS,* A.M. ASCE.—The writer appreciates the time and 
effort of the discussors. He particularly agrees with their comment that any 
paper of this type may be dangerous if the information furnished is used 
blindly without any understanding of basic principles. Therefore, the writer 
repeats that the relationships given are typical, and certainly they are not 
rigid physical laws which must govern in every situation. 

Mr. McMaster and Mr. Gizienski mention the limitations of geophysical 
work. The writer agrees that geophysical exploration must be performed by 
experienced personnel and even then it may leave much to be desired. (1) 

Mr. Judd comments that the cost of exploration for dams is closer to 0.5% 
of the total cost than the range given in Table 2 (0.1% - 0.5%) might indicate. 
However, for small dams on good foundations the exploration cost need not be 
high, and the values given in the table reflect this. 

Mr. Judd comments that Table 3 presumes a grid-type program. This was 
not the writer’s intent. The table states that the spacings given are often 
used in making preliminary estimates. The writer agrees with Mr. Judd that 
the actual boring locations depend on the outline of the structure, the location 
of critical loads or parts of the structure, and on the nature of the underlying 
soil and rock. The writer cannot agree with Mr. Judd’s statement that a long 
dam should have a greater boring spacing than a short dam, everything else 
being equal. This may be true in practice because of cost, but the loads and 
the underground profile should be the determining factors. 

Mr. Judd, Prof. McMaster and Mr. Gizienski all question the depths sug- 
gested in Table 4. Some of their objections will be answered if the table is 
changed to read “Depth of Borings Below the Probable Foundation Level.” 
Prof. McMaster and Mr. Gizienski propose a revised Table 4 with greatly 
increased depths. The writer does not agree that such depths are necessary. 
In areas where the geology indicates the possibility of deep compressible 
strata a few deeper borings may be required, especially with unusually heavy 
structures. In most cases, however, the writer’s experience has shown that 
the depths given in the paper are adequate. 

Apparently Table 5 was somewhat misleading. It was the writer’s intent 
that it should compare different methods of drilling a hole, their ability to 
permit recognition of soil changes, and the amount of disturbance they produce 
in the soils below the depth drilled. Evaluation of the disturbance of the soil 
removed by drilling was not intended. Prof. McMaster and Mr. Gizienski 
state that the hand auger, power auger, and wash boring disturb the soil con- 
siderably. Mr. Judd agrees with them on wash boring. The writer cannot 
agree with these changes. The soil below the drilled depth is little affected 
by any of these methods of drilling in most cases. In some cases, wash 


*Prof., Civ. Eng., Georgia Inst. of Technology, Atlanta, Ga. 
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boring (and rotary drilling or any other method using water) will change the 
moisture content of sandy and silty soils above the water table or will wash 
deeply into sands. Careful control of the flow of drilling fluid and the use of 
drilling mud can prevent such disturbance. (A misprint appears in the 
“Revised Table 5” of Prof. McMaster and Mr. Gizienski—Rotary drilling 
disturbance should read “small” instead of “considerable”). 

There appears to be considerable disagreement on the ease of recognizing 
changes in the soil with the different drilling methods. It has been the 
writer’s experience that the power auger can be good or bad depending on 
how frequently the driller removes the auger for examination. With short 
runs of 5 ft or less the power auger can give a good picture of the soil 
changes. Wash boring can be very sensitive to changes in the soil character 
if the driller watches the drilling fluid return and if he feels the drill rod at 
the same time. Too much flow of drilling fluid can obscure the changes, 
however. 

Every objection to wash boring applies to rotary drilling. (Here the author 
again refers to a drilling method such as a cone bit, a fishtail, or similar 
tool for drilling only). In addition, the rotary drill usually has some sort of 
mechanical feed which is designed to advance the drill rapidly. This tends 
to obscure soil changes unless the operator is very observing. ; 

Prof. McMaster and Mr. Gizienski question Fig. 2 which presents the ap- 
proximate allowable soil pressure as a function of penetration resistance. 
This relationship was developed from the results of both bearing capacity and 
settlement studies of over fifty sites from Louisiana to Virginia. Of course, 
penetration resistance is most closely related to soil bearing capacity. How- 
ever, for any given type of soil the softer, weaker materials are also the 
most likely to be compressible. Therefore, some degree of correlation of 
penetration resistance with settlement is logical. As the paper points out, 
this relationship is an estimate. An accurate determination of allowable soil 
pressure requires laboratory tests and an engineering analysis. 

Mr. Fenske, Prof. McMaster, and Mr. Gizienski all point out the desira- 
bility of combining the exploratory work and the detailed undisturbed sampling 
on many jobs. The writer has often done this to save time or to avoid having 
equipment make two trips to a job. If a continuous analysis is made of the 
results of the exploratory work as it progresses, then the detailed examina- 
tion of the critical areas or zones can proceed as soon as the exploratory 
work is complete with no delay between the two phases of the work. 

The writer does not agree with Mr. Fenske that making all borings undis- 
turbed sample borings is quicker than simple test boring. Such a procedure 
can be very slow and the cost per foot is higher than for test boring. The 
biggest objection is that it produces no immediate answer about the character 
of the soil as does test boring utilizing split spoon sampling and penetration 
resistance testing. In order to get around this disadvantage some organiza- 
tions extrude the undisturbed samples in the field and reseal them in other 
containers as described by Mr. Fenske. This is open to serious criticism 
since it results in additional handling of the sample which can only increase 
its disturbance. With flies, heat, and other hazards of field work, the re- 
moval of the samples from their tubes cannot be done as carefully as it can be 
in the laboratory. In order to estimate the soil’s strength in the field small 

penetrometers have been used. It has been the writer’s experience that 
these penetrometers test too small a part of the soil to be reliable. Further- 
more, their readings are meaningless when used with anything but a very co- 
hesive soil sample. By contrast, the penetration measurement with a split 
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spoon is actually an in-place shear test made on an undisturbed soil which is 
still in its place in the ground. Obviously this should be a more reliable in- 
dex of the soils strength than a hard penetration test of an unconfined sample 
removed from the ground. 

The author agrees with Mr. Fenske that penetration resistance data from 
the split spoon sampler must be analyzed with care. The test can lead to 
misleading results if the engineer loses sight of the fact that each different 
soil has a different correlation between penetration resistance and its re- 
lated properties. Such was definitely the case in the example cited by Mr. 
Fenske. 

The data given in Table 8 are an example of the range of correlations of 
penetration resistance to strength for different soils on many different sites. 
On each site, however, the correlation was very much closer. For example, 
at one site in the Coastal Plain of Georgia the relationship between the pene- 
tration resistance and the unconfined compressive strength of the saturated 
clays varied from 0.25 N to 0.3 N. 

Of course, as Mr. Judd points out, there are some soils in which such 
correlations are impossible. Also there are some soil properties such as 
swelling which cannot be correlated with penetration resistance. In such 
cases extensive testing is required. It was not the writer’s intent to imply 
that correlations should take the place of soil testing but rather supplement 
the test data. If continuous undisturbed samples are secured in every boring 
the range in soil properties can be determined only by testing every sample. 
If the critical points are first located by a simple, quick method of sampling 
which also performs an in-place soil test, then the testing can be concentrated 
on those critical points. 


No matter what procedure is used, all the discussors and the writer agree 
that the success and economy of an investigation depend on the intelligence 
and integrity of those who conduct the work. Blind acceptance of rules can 
lead only to trouble. Instead, a thorough understanding of all the factors in- 
volved is required to secure maximum results at minimum cost. 


' 
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Discussion of 
“SUCTION FORCE IN SOILS UPON FREEZING” 


by Alfreds R. Jumikis 
(Proc. Sep. 445) 


ALFREDS R. JUMIKIS,! M. ASCE.—The paper on “Suction Force in Soils 
Upon Freezing” was apparently received by the engineering profession with 
deep interest. The fruitful discussions by Professor Krynine, Dr. Ruckli and 
Dr. Winterkorn, as well as private exchange of thoughts with other research 
workers here and abroad, on this important subject proved to be really con- 
structive and encouraging. 

These discussions also manifest the great value of cooperation among the 
members of the engineering profession in order to accomplish something 
important in general, as well as to contribute to better understanding of the 
complex problem in particular, namely the upward suction of soil moisture 
toward a cold isothermal surface upon freezing. 

For the convenience of this author’s closing discussion, it is proposed to 
take up the comments of the discussers in the order in which they apply to 
the paper. 

The first discusser, Professor Krynine@ pointed out more clearly than was 
said in the author’s paper that the upward flow of soil moisture in soil takes 
place against gravity. 

As to Professor Krynine’s comment that the free energy concept should 
also be extended to the water movement in soil upon freezing, it must be 
said, as Dr. Winterkorn has shown in his discussion, that this phenomenon in 
its deepest sense is actually based on the free energy concept. 

The term “suction force,” as private discussions with some scientists 
reveal, is, probably, not a happy choice. However, this term is already 
in use in the literature, and as such it was merely carried on. Of course, 
admittedly, a critical evaluation of this term is perfectly in order. 

Further, in his discussion, Professor Krynine mentions that the author 
“has entered a vast realm of suction as produced by matter, and soils are 
only one example thereof,” and involves himself in the problem of water sup- 
ply from soil by roots to plants, for example, trees. It is felt, however, that 
the author’s title of the paper under consideration is edited carefully enough, 
limiting the suction to soils only. Hence, there is no entering into a vast 
realm of suction whatsoever. There are a number of theories on the mecha- 
nism by which water ascends through the xylem elements in plants, and it is 
quite probable that more than one mechanism is involved in the process. But, 
as said, this paper is limited merely to dealing with suction of moisture in 
soils upon freezing. 

Although the first discusser notices in the paper the use of the term 
“tautochrone” for temperature profile with adverse feeling, the author wishes 
to defend the term “tautochrone.” Like many other Greek words now 


1. Associate Prof. of Civ. Eng., Rutgers Univ., College of Eng., New 
Brunswick, N. J. 

2. Professor D. P. Krynine, Cons. Engineer, Berkeley, California. 
Proceedings—Separate No. 572, pp. 45-46, Vol. 80, ASCE. 
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successfully in use in science and engineering, the author feels that there is 
nothing wrong with the use of the term “tautochrone.” According to the 
Standard Dictionary,® the term “tautochrone” is used to denote a curve show- 
ing the vertical distribution of temperature in the ground at a given moment 
of time. The term ‘tautochrone” in this sense is used in meteorology and 
climatology,4 and, contrary to Professor Krynine’s belief, this term seems 
to be a lucky choice and well coined. 

The author appreciates Professor Krynine’s acknowledgment relative to 
the need for large-scale experiments to prove the practical significance of 
thermo-osmosis in highway engineering as well as his commendation of the 
laboratory apparatus. 

The second discusser, Dr. R. Ruckli, ° is right in his deduction that if the 
author wants to call the coefficient of moisture transmissibility, k,, thermo- 


osmotic permeability, then its dimensions should be |(cm)?2 - (sec)-1. ( 9 C)-1 
However, as seen from the contents of the presentation, k, has the dimen- 
sions 1 sec | [see Eq. (3) ] . Therefore, the unit for suction head, Eq.(5), 


is actually a linear one, namely, inches. The author’s intention was merely 
to distinguish between the physical nature of the upward moisture transmis- 
sibility caused by freezing and the water transmissibility caused by gravity. 
The latter, therefore, follows Darcy’s law of permeability, although, as Dr. 
Ruckli and Dr. Winterkorn point out, the suction head can be introduced into 
any formula of the Darcy type irrespective of the exact nature of the moisture 
flow, i.e. whether the hydraulic gradient is caused by gravity or by any other 
force. The author wishes to thank Dr. Ruckli for calling the matter of 
terminology to his attention. It seems, therefore, that in order not to con- 
fuse the use of these terms in question, and yet to indicate their physical 
nature, it would be well to call the coefficient k, simply the coefficient of 
suction. 

Dr. Ruckli’s comment on a criterion for the frost sensitivity of soil, and 
his suggestion of using for it the product (kp . hg) is a good one. This 
product, when properly evaluated, might help one to get around the disagree- 
ment between measured and calculated k,, Q and P, values. 

Dr. Ruckli’s comments are received by the author with great thanks. 

Dr. H. F. Winterkorn® in his discussion points out clearly that the ice 
lens and the ground water are connected by a conducting system, namely, the 
upward flow of moisture upon freezing. Also, a very valid contribution is the 
demonstration by the discusser that the upward flow of moisture in soil upon 
freezing is based on the free energy concept as in thermodynamics. By 
means of this theory, maximum possible theoretical suction and k){), values 
for an extremely simplified soil- moisture-temperature system are calculated 
under the assumption that the thermodynamic system works with 100% effi- 
ciency. The author appreciates Dr. Winterkorn’s encouragement that for 


3. Funk and Wagnalls, New Standard Dictionary of the English Language, 
Funk and Wagnalls Co., New York and London, 1947, p. 2470. 

4. R. Geiger, “The Climate near the Ground,” Harvard University Press, 
1950, pp. 30, 168. 

5. Professor at the Swiss Federal Institute of Technology in Zurich, and 
Chief, Road Construction Section, Swiss Federal Inspectorate, Bern. 
Proceedings—Separate No. 656, pp. 5-6, Vol. 81, ASCE. 

6. Professor, Princeton University, New Jersey; Director of Soil Physics 
Laboratory. Proceedings—Separate No. 656, pp. 6-9, Vol.81, ASCE. 
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practical and theoretical reasons, it is important to obtain experimental suc- 
tion values. They are very necessary for the calculation of the frost penetra- 
tion depth in soil. 


CONCLUSION 


The discussions brought out the following: 


1. All three discussers added a further list of reference sources pertain- 
ing to the subject. 


2. They induced thoughts relative to terminology in the phase of thermal 
soil mechanics. 


3. The solution of the problem of frost penetration in soils in highway and 
airfield engineering is considered by soil and foundation engineers of great 
importance in the U. S. A., as well as abroad. 


4. The formulation, organization, checking and integration of these 
theories toward a better understanding and greater reliability is a long-felt 
need in this field, and a step forward toward the solution of this complex 
problem under consideration. After theories are established, one can start 
to organize research. 


5. The discussers, although each of them have their own point of view, 
contributed considerably to this whole subject by organizing the available 
knowledge and theories for the understanding of suction in soils upon freezing 
on a scientific basis. 


Much, however, is still to be learned, and better testing methods are still to 
be developed and perfected. 

The author is grateful to the scientists who discussed this paper and made 
their valuable contributions to it. 


— 


Discussion of 
“FOUNDATION TREATMENT FOR EARTH DAMS ON ROCK” 


by Thomas F. Thompson 
(Proc. Sep. 548) 


HORACE A. JOHNSON, ! M. ASCE.—This paper is an excellent presentation 
of what has been done as foundation treatment on a number of earth dams con- 
structed on rock foundations. The principles enunciated are good. However, 
the writer has some question as to the necessity of foundation surface treat- 
ment in certain instances. 

In the writer’s opinion the only way that damage can occur at the founda- 
tion is for there to be open passages at the rock surface which extend prac- 
tically the full width of the impervious section of the dam. This is necessary 
if a velocity sufficient to erode material is to be induced. This would be 
conceivable with a narrow core and a columnar basaltic foundation with open 
cracks as shown on the author’s Plates VII and VIII. Even with open pas- 
Sages a properly graded filter blanket adjacent to the impervious material 
should prevent piping. 

As an example of where surface foundation treatment is questionable in the 
writer’s opinion, consider Isabella Dam for which the author shows foundation 
conditions in the core trench in Plates IX, X, and XI. The dam cross section 
at Isabella is as shown on the writer’s Figure 1. In this section the only dif- 
ference between Zones 1 and 2 is that the specifications say that the more 
impervious material shall be used in Zone 1, and Zone 1 received 6 roller 
passes instead of 4 passes for Zone 2. The material used in both zones was 
decomposed granite from the same borrow area. There is little difference in 
permeability between the two zones. In other words, the section is homo- 
geneous except for the blanket drain which is composed of pervious sand and 
gravel graded to be effective as a filter. The foundation, except in the core 
trench, was stripped to dense decomposed granite or sound granite outcrop- 
pings. The core trench was cut to sound rock or impervious weathered bed- 
rock. A curtain approximately 50 feet deep was grouted from the bottom of 
the core trench before fill was placed. For an embankment height of 100 feet 
the distance from the upstream toe to the blanket drain is about 400 feet. 

There are fractures in the rock at Isabella as shown on Plates IX and X. 
However, they do not extend across the bottom of the core trench and up the 
sides of the trench and across the foundation for any great distances. In other 
words, any fracture would be an isolated void under the dam which would 
cause no damage by water percolating through either the foundation or the 
embankment to the void. In the writer’s opinion with the great width of im- 
pervious section in this case and discontinuous fractures, no surface treat- 
ment of the fractures is necessary. 

In Plates I, I, and III, the author introduces pictures of a small earth water 
supply dam failure which is supposedly largely attributable to inadequate foun- 
dation treatment. This is not covered in the text and it would be interesting to 
know more about how the failure occurred. 


1. Civil Engineer, U.S. Corps of Engineers, Sacramento District, Sacramento, 
Calif. 
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GIOVANNI RODIO, ! M. ASCE.—Mr. Thomas F. Thompson, speaking of 
foundation pressure grouting, states that this process is primarily for the 
purpose of providing a tie between the core material of the dam and the 
tighter rock normally found at depth beneath the foundation and the abutments. 
Further, the author refers to the highly controversial question of the best 
time for grouting the foundation: before or after construction of the embank- 
ment. He weighs the advantages and disadvantages pffered by the two proce- 
dures of pressure grouting, i.e. grouting conducted from the level of the 
foundation surface, and grouting performed after the fill of the embankment 
is completed. 

In the writer’s opinion, in the case of a very disturbed rock formation, a 
third procedure should be considered: by opening a ditch and constructing a 
concrete cutoff large enough to enclose a gallery 6 ft. large and 9 ft. high, 
all pressure-grouting operations can be performed either after the fill has 
been placed or while it is being placed. The cost of this new element is, of 
course, rather high, but this is largely compensated by the following 
advantages: 


—the boreholes for pressure grouting must not necessarily intersect the 
embankment material; 

—if the drill holes for pressure grouting do not intersect the embankment 
material, it is easier to bore them at proper angles for intersecting the 
greatest number of groutable seams; 

— pressure- grouting operations and filling in of the dam embankment can be 
scheduled to be carried out simultaneously; 

—any other coordination is easy, because of the possibility of carrying out 
the grouting operations almost independently of the filling in of the dam 
embankment. 

—the presence of the new element in the structure offers the advantage of 
any type of cutoff wall, i.e. it prevents radically any percolation down to a 
depth equal to its own; beneath it, the grout curtain has to restrict deeper 
leakage; 

—when pressure grouting is completed, a series of drainage holes can be 
drilled, inclined in the downstream direction, with the purpose of measur- 
ing the uplift pressure; these in the same time are useful in making pos- 
sible the detection of the imperfections which may occur in the curtain; 

—should such imperfections appear, the gallery facilitates all kinds of com- 
plementary grouting, also during the reservoir filling; 

—deformations may occur in the foundations of very high earth dams due to 
the load imposed by the embankment and the storage reservoir. A gallery 
located at the base of the core wall permits the detection of such accidents. 


In order to avoid ununiformity between the concrete cutoff wall and the rest 
of the foundation, the surface of the former should be at the level of the sur- 
rounding rock. The concrete surface should be of a suitable roughness so as 
to establish the best contact with the core material of the dam. 

The purpose of the gallery described above is fulfilled only when means 
are provided for the draining off of the percolating water as well as of the 
water necessary for drilling and grouting operations. This is important, be- 
cause the lowest point of the gallery is generally located at an altitude inferior 
to that of the river downstream. 

As a development of the idea of doing all grouting operations from a gal- 
lery, similar projects have been designed for dam foundations in valleys 


1. Cons. Engr., Zurich, Switzerland. 
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where the floor is covered by an extensive and deep alluvial layer, or where 
one of the banks is formed of a rock-slide deposit. In such cases the gallery 
is opened in the bedrock, as shown in the figure attached, and grouting opera- 
tions to establish an impervious curtain are performed in the downward as 
well as in the upward direction. 
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Fig. 1. Crest of Embankment. 
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Discussion of 
“A LARGE SCALE FIELD SHEAR TEST ON A BENTONITE SEAM” 


by S. T. Thorfinnson 
(Proc. Sep. 549) 


PRESTON T. BENNETT, ! M. ASCE and PAUL E. WOHLT,2 A.M. ASCE.— 
Although the field investigation described in this very interesting paper has 
come to be called a shear test, it was designed for the purpose of obtaining 
information on stress-strain relationships as well as to determine the shear- 
ing strength of a particular bentonite seam. As the author has pointed out, 
the distribution of shearing stresses under the test blocks depends on the 
dimensions of the block, the elastic modulus of the chalk and the shear 
modulus of the bentonite seam. It is also affected by deformation of the chalk 
under the seam, and by the elastic properties of the stress meter installed at 
the end opposite the hydraulic jacks. 

In comparison with laboratory shear tests, it might appear that the intro- 
duction of all these extraneous factors constituted an unnecessary complica- 
tion. If the sole purpose of the test had been to determine maximum shearing 
strength at failure, it is indeed true that a simpler field shear test would 
have served that purpose. But the writers are of the opinion that knowledge 
of the ultimate shear strength of the bentonite could not have been used, by 
itself, to predict the test behavior of the chalk block. If this view is correct, 
then it would be even more difficult to predict the behavior of the spillway 
crest structure, which is restrained not by a mere twenty feet of chalk, but by 
a chalk slab 1,000 feet long in the direction of the applied load, and containing 
not one but several bentonites. In the actual design problem, the question 
arises as to how the shear load should be distributed over such an extended 
area. In his introduction the author has shown that it might be unreasonable 
to distribute the shear uniformly. If some arbitrary distribution were adopted 
resulting in high stresses near the structure, the question then arises as to 
the possibility of a progressive shear failure on a bentonite seam, beginning 
at the overstressed region and progressing downstream. If such a failure 
should destroy or substantially lower the strength of the seam for a distance 
of several hundred feet, the result would be to increase compressive stresses 
in the chalk slab, possibly resulting in enough shortening of the laterally 
loaded slab to permit the structure to move several inches. 

Conventional shear tests cast no light on these questions. They may enable 
the designer to predict that the spillway structure will not slide into the still- 
ing basin, but they offer no clue as to the distance the structure might move 
before the resisting shear stress develops. As a matter of fact, the field test 
in question did not develop a quantitative solution to the stress-strain 
problems of the prototype. In the present state of foundation engineering, 
design methods for translating the field test results to the structure are 


1. Chief, Soils, Geology and Materials Branch, Missouri River Div., Corps of 
Engineers, U. S. Dept. of the Army, Omaha, Nebr. 

2. Civ. Engr., Missouri River Div., Corps of Engineers, U. 8. Dept. of the 
Army, Omaha, Nebr. 
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practically non-existent. However, the test results were of very real value 
in confirming the engineering judgment that movement of the structure would 
be very slight. 

The author has stated that measurement of shear stresses in this test was 
accomplished by indirect methods. It might be pointed out that all measure- 
ments of loads and stresses were measured indirectly. The load applied by 
the jack was measured indirectly by interpretation of mechanical strains 
within the pressure gage. The transmitted load was measured even more 
indirectly by SR-4 strain gages. The compressive stress in the chalk block 
was also measured by strain gages, and differed from the other measurements 
only in that the chalk served the dual purpose of test specimen and strain gage, 
and in that it was calibrated during the test, while the other indirect devices 
were calibrated prior to the test. In all probability, calibration of the chalk 
as a strain gage was not as accurate as the jack calibration, but this is be- 
lieved to be a difference of degree rather than of kind. If the adopted method 
of measuring compression stresses in the chalk block is accepted as legiti- 
mate in principle, there is little or no indirection in assigning shear stress 
values to any segment along the length of the bentonite seam. 

To develop the thought more specifically, consider the two sets of Whitte- 
more strain gage plugs and the dial gage identified at A, B, and C on Figurel, 
and their counterparts on the opposite side of the chalk block. From the ob- 
served strain at A, the compressive load in the block can be computed if the 
modulus is known, and this load may reasonably be said to act on a vertical 
plane midway between the plugs at A. The same is true at B. The difference 
between these two measured loads can only be accounted for as shear dis- 
tributed over the interval marked ab on the figure, and hence the average 
shearing stress within this interval is known with the same degree of ac- 
curacy as the compressive modulus. The dial gage mounted on the chalk at 
C measures the horizontal displacement relative to the chalk under the seam 
caused by the shear load, and if it were at the center of the interval ab, its 
displacement could reasonably be associated directly with the shear stress 
derived from the gages at A and B. 

The author’s evaluation of stresses is based upon the assumption that the 
modulus of deformation of the chalk is a constant, that is, the compressive 
stress-strain relationship is linear. The reasonableness of this assumption 
is supported by the author’s Figures 6 and 7, which show that the relationship 
between applied load and transmitted load is linear and at intermediate points 
the relationship between applied load and strain is also linear. Further con- 
firmation is found in the agreement between values determined in the field 
shear test and other values of modulus of deformation shown in the author’s 
Table 1. In addition, numerous laboratory tests have shown the stress- 
strain curves to be substantially straight lines at values below failure. Com- 
putation from the maximum applied load of 272 kips (Block 1, Part V) give a 
maximum compressive stress in the chalk of 300 psi which is well below the 
average breaking strength of about 1,000 psi. 

As participants in the test, the writers have access to much detailed data 
which the author has not chosen to include in his brief paper. Some of the 
additional data has been used to compute the shear stress-strain curves for 
the bentonite as shown in Figure 2. The figures beside the curves indicate 
the block tested and the distance from the applied load respectively for Part V 
of the test. The stress was computed from the strain modulus and a plot of 
stress lost in shear; the strain was obtained from the dial gage readings. 
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An essential difference in the test conditions along the seam is the rate of 
application of shearing stress which is tabulated below: 


Block Distance from Rate of stress 
applied load application 
(feet) (psi/hour ) 


2 


9 
6 
3 


1.0 
924 
17.5 


As it appears that the stress-strain relationship is not independent of 
time, an attempt has been made to account for the time or viscosity effects. 
Although no satisfactory hypothesis has been formulated to explain failure, 
equations can be developed which fit the experimental data before failure. 
One approach consists of assuming that the strain before failure consists of 
the sum of elastic and time effects. A function of time which postulates that 
the time rate of strain is proportional to the difference between the given 
strain and some ultimate value fitted reasonably well. 

The failure points are indicated in Figure 2 on the stress-strain curves. 
Failure points are also indicated for curves for Block 2, although the curves 
themselves have been omitted for clarity. As it is difficult to identify the 
failure point by examination of the stress-strain curves, plots of applied load 
against the increments of dial gage readings have been used for this purpose 
but are not shown. Failure on these plots is taken as the point where the 
curves abruptly deviate from a straight line. Failure is thus defined as the 
limit of constant rate of change of shearing strain. Contrary to the usual 
assumption of a fixed limiting stress or strain in a material at failure, it 
will be noted that there is neither a fixed stress nor strain at failure in these 
stress-strain curves. Both the failure stress and the failure strain vary ac- 
cording to the position along the block. The only variable known to associate 
with this variation is the time rate of stress application. 

Although the writers can not offer an explanation to account for the varia- 
tion of failure strength in the bentonite, they are reluctant to accept the 
progressive failure concept. While the author presents some evidence 
against progressive failure, he does not rule out the possibility and the 
present writers take a similar position. If well defined progressive failure 
had occurred, it is believed that Curve 1-1, Figure 2 would have fallen off to 
a greater degree and additional stress would have been transferred to other 
portions of the seam. In addition, Curves 1-5.2, 1-9.4, and 1-17.5 would 
have peaked at a greater stress and after failure all curves would have 
shown more nearly the same strain. 

These tests are valuable because they show the need for basic information 
on the stress-strain-time relationship in shear for bentonite and other clay- 
like materials. It has also been clearly demonstrated that all parts of the 
seam do not have the same magnitude and rate of shear even in the relatively 
short blocks used in the tests. Variations of this type are of everngreater 
magnitude and consequence in prototype structures. 
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Discussion of 
“EFFECT OF SAMPLE DISTURBANCE ON THE 
STRENGTH OF A CLAY” 


by Max L. Calhoon 
(Proc. Sep. 570) 


JOHN H. SCHMERTMANN,! J.M. ASCE.—Mr. Calhoon has presented a 
thoughtful analysis of his fine laboratory investigation. He deserves credit 
for calling the attention of his colleagues to the important practical problem 
of the proper evaluation of the effect of sample disturbance on laboratory 
shear strength results. The paper deserves to be read carefully by all 
engineers who are faced with the problem of evaluating and using laboratory 
strength data. 

As an introduction to a more direct discussion of Mr. Calhoon’s paper, a 
few statements regarding the probable significance of void ratio in relation 
to the strength of a clay may be appropriate. 


Strength and Void Ratio 


Soil mechanics developed through the mechanical approach to mass soil 
behavior. The initial success of the use of Coulomb’s equation, later com- 
bined with pore pressure corrections, as an expression for the strength of a 
clay has resulted in a tendency to continue to think of this strength in me- 
chanical terms. However, recent problems, particularly in the field of soil 
Stabilization, have shown the superiority of the more fundamental electro- 
chemical explanation of the behavior of clay.2,3 

Striking laboratory and field tests have been performed in which the 
strengths of clays have been significantly altered, without any external 
stress changes, by changing the inter-particle energy potential relationships 
with trace chemicals? and with external electrical potentials.4,5 Strength 
alterations can be accomplished in two general ways: 1-changing the nature 
of the soil ions or their concentrations, and 2-changing the structural ar- 
rangement and/or distance between particles. The latter is of particular 
interest here. 

Clay can be considered as a colloid with small inter-particle distances.3 
The summation of the various attractive forces between such particles 


1. U.S. Army Corps of Engineers, Snow, Ice and Permafrost Research 
Establishment, Wilmette, III. 

2. Proceedings, M.I.T. Conference on Soil Stabilization, June, 1952, 

3. Lambe, T. W., “The Structure of Inorganic Soil,” ASCE Separate No. 315, 
October, 1953. 

4. Begemann, “The Influence of Direct Current potential on the Adhesion be- 
tween Clay and Metal Objects. Laboratory and Full Scale Tests,” 
Proceedings, Third International Conference on Soil Mechanics and 
Foundation Engineering, 1953, Vol. 1, p. 89. 

5. Casagrande, L., “Electro-Osmotic Stabilization of Soils,” Harvard Soil 
Mechanics Series No. 38, 1952. 
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probably varies as some function of (; )®, where r is the distance between 


particles and n may vary from 2 to 7.3 The soils engineer is capable of 
changing the distance between particles by the application of an external 
stress, which causes consolidation, and in turn results in a closer spacing 
of the colloidal clay particles. For a given initial structural arrangement of 
a clay soil, change of void ratio is a convenient parameter for measuring the 
more fundamental change of particle spacing. 

Dr. P. C. Rutledge® has repeatedly shown in the laboratory, in work with 
saturated natural clays, that compressive strength increased exponentially as 
failure void ratio decreased arithmetically.? This relationship was found to 
be unique in that it was almost independent of the pore water pressure at 
failure and the manner in which the final void ratio was reached (minor 
principal stress). Mr. M. Vargas found the same relationships existed for 
two natural, partially saturated, Brazilian residual clays.8 More recently 
Mr. G. A. Leonards obtained similar results with carefully controlled tests 
on two partially saturated, compacted and then consolidated, clays.9 


Rutledge Hypothesis on Sample Disturbance 


The basic relationship Rutledge proved to exist in the laboratory, for 
many natural saturated clays, was that a semilog plot of void ratio at failure 
vs. compressive strength (01 - 03) resulted in a unique curve, almost a 


straight line and closely parallel to the virgin slope of a laboratory one- 
dimensional consolidation test. Referring to Figure 1, the horizontal dis- 
tance between these two curves, measured positive from the lettered to the 
numbered points, has been labelled “a.” Although Rutledge showed this 
parallel relationship to exist only between the best obtainable undisturbed 
consolidation and strength test samples, he intuitively guessed that the 
relationship might also be true for the completely undisturbed field condi- 
tions, the completely remolded condition, and all intermediate degrees of 
disturbance—of which the laboratory ‘undisturbed” sample is one. Follow- 
ing the known effects of sample disturbance on the consolidation test re- 
sults10,11 these limiting conditions are also shown on Figure 1. 

Rutledge further considered the possibility of the “a” distances decreasing 
with increased sample disturbance, and reasoned the effect as follows: 

Point A represents the completely undisturbed natural field void ratio 
and effective stress. Point 1 represents the field unconfined compressive 
strength. Points 5 and 6 represent the “undisturbed” and completely re- 
molded laboratory unconfined compressive strengths at the natural void 
ratio. Partial disturbance to the condition of the laboratory “undisburbed” 


6. Partner; Moran, Proctor, Mueser and Rutledge; Consulting Engineers, 
New York City 

7. Calhoon reference No. 5. 

8. Vargas, M., “Correlation between Angle of Internal Friction and Angle of 
Shearing Resistance in Consolidated quick Triaxial Compression Tests on 
Residual Clays,” Proceedings, Third International Conference... . , 1953, 
Vol. 1, p. 72. 

9. Leonards, G. A., “Strength Characteristics of Compacted Clays,” ASCE 
Separate No. 360, December, 1953. 

10. Calhoon reference No. 4. 
11. Schmertmann, J. H., “Estimating the True Consolidation Behavior of Clay 
from Laboratory Test Results,” ASCE Separate No. 311, October, 1953. 
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sample results in a decrease of consolidated void ratio from point A to point 
B. The void ratio decrease takes place at the given constant stress. Point 2 
represents the compressive strength for the sample at the point B condition. 
Further disturbance results in further decreases of consolidated void ratio. 
Finally, 100% disturbance results in a consolidated void ratio at point C, with 
the new compressive strength represented by point 3. 

It can be seen on Figure 1 that if “ap” is greater than “a,” is greater than 
“ay,” compressive strength increases from points 1 to 2 to 3. Thus, fora 


given effective stress, it may be possible for consolidated shear strengths to 
increase with increased sample disturbance. However, at any given void 
ratio the least disturbed sample has the greater strength. 

Mr. Calhoon made a careful and systematic study of one uniform clay to 
investigate the validity of the above intuitive concepts. As may be seen on his 
Figure 7, his results show that the parallel semilog strength-consolidation 
relationship did exist for various degrees of sample disturbance, and that the 
“a” distances did decrease, and in fact became negative, with increased dis- 
turbance. His results therefore check the prediction of increased consoli- 
dated strength with increased disturbance. 


Nature of Clay Investigated 


Mr. Calhoon states that the apparent constant water content of the uniform 
clay bed, of which his samples were a part, may indicate that the clay he 
studied had a “quicksand” type of structure. Because the nature of the clay 
Studied is of importance when applying the results of Calhoon’s work, the 
writer re- investigated the consolidation and water content data utilizing ad- 
ditional data not available at the time of the original work. Figure 2 presents 
these data. 

Inspection of the available data indicates that only the 20 foot depth shown 
can be considered sufficiently uniform to permit evaluation of the significance 
of the water content profile. The location of Calhoon’s sample is shown on 
the figure. 

Figure 2(a) presents the detailed water content data for the bed. Calhoon’s 
detailed data from his sample is not shown. His average water content value 
of 67.7% is consistent with the data presented. Figure 2 (b) presents the ef- 
fective stress ranges interpreted from the individual consolidation tests, and 
the effective stress profile assumed from these results. The total initial 
overburden pressure (before fill) and the existing overburden pressure are 
also shown for comparison. It may be seen that the clay is partially consoli- 
dated under the added fill stress. 

With the assumption that field consolidation occurred along a virgin slope 
parallel to the virgin slope of Calhoon’s 1.5 inch consolidation test, it was 
possible to compute the expected distribution of water content for the depth 
of the clay layer. This computed distribution is indicated on Figure 2(a) for 
direct comparison with the actual water content data. If one makes allow- 
ances for the probable local variations in the soil, it may be seen that there 
is reasonable agreement between the computed distribution and the actual 
data. 

It appears that the clay tested may have no unusual structural features, but 
behaves in consolidation as would be predicted from laboratory consolidation 7 
tests. Because of the small variation in water content with depth it appears 
probable that other variables, such as soil variation, degree of disturbance 
and test technique, may predominate and completely account for the reported 
lack of trend in the unconfined compression test strengths. 
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Data from Another Saturated Clay 


Extensive data were obtained on the effect of partial disturbance on the 
compressive strength of another saturated clay. This clay was a glacial till 
laid down through melt water. Its sensitivity was approximately 2.5. It had 
average liquid and plastic limits of 34% and 18%. A water content—consolida- 
tion data correlation, similar to that shown on Figure 2, showed that the 
water content profile in the field was in good agreement with laboratory con- 
solidation test data. 

Construction activities were such that the clay layer was significantly dis- 
turbed over a portion of the construction site. Three sets of “undisturbed” 
samples were obtained to help evaluate the cause and effect of this distur- 
bance. Two sets were obtained within the disturbed portion of the site. One 
was about 100 days, and the other about 400 days, after the date of the dis- 
turbance. The third set of samples were obtained from a portion of the same 
site known to be undisturbed. Lateral uniformity of the clay deposit permitted 
comparison of the results obtained from the three sets of samples. A sum- 
mary of the results of the consolidation and strength tests from these samples 
is presented on Figure 3. 

As may be seen on Figure 3 the clay disturbed in the field has consolidated 
under its own weight so as to lose an average of 1.8% water content in 400 
days. This is about one half the ultimate expected decrease in water content 
resulting from this consolidation. 

It may also be seen that immediately after the disturbance the clay lost 
strength. As it consolidated it regained this strength so that after 400 days 
its strength was about 33% greater than the average laboratory strength 
value obtained from samples from the undisturbed portion of the site. Al- 
though it is possible that the 400 day strength is still below the completely 
undisturbed field strength, it is expected that the 50% consolidation still to be 
achieved will increase the disturbed sample strength to about 1.9 tons/sq. ft. 
This value should be much higher than the undisturbed field strength. 

Thus, here is another instance where the consolidated strength of partially 
disturbed samples is significantly higher than the true strength in the field. 
This occurrence could have happened in the laboratory as it did here in the 
field. 

As shown by the example on Figure 3, a certain amount of consolidation is 
necessary before the disturbed sample strength can “catch-up” to the com- 
pletely undisturbed strength. In this connection it is believed that Calhoon’s 
Figure 8 is in error in the range of low normal stresses. At zero normal 
stress (unconfined compression test) Mr. Calhoon reported his remolded 
clay to have almost zero strength. Therefore, the undisturbed Mohr stress 
envelope must be above that for the remolded samples at low normal stresses, 
and cross and become the reverse at higher stresses. 


Silts 


Sometimes it is desirable to make a laboratory determination of the angle 
of internal friction of cohesionless, or near-cohesionless, silts. Saturated 
natural silt soils are often very sensitive to sample disturbance and may 
easily become quick when handled. It is often almost impossible to obtain 
samples and trim specimens without significant and noticeable sample dis- 
turbance. Thus, here is a situation where large additional consolidation due 
to sample disturbance may be expected, with the possibility that consolidated 
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strength tests may yield friction angles that are entirely too large for the 
soil in its natural state. 

As examples of the above, triaxial consolidated-quick test results for two 
sensitive natural silt soils are presented in Figure 4. Figure 4(a) shows 
results from a slightly clayey silt with about 80% of the grains in the silt 
size range (MIT classification). Figure 4(b) shows results from a cohesion- 
less fine sandy silt. 

The writer believes that the friction angles of 29° and 47° obtained from 
these tests are considerably in excess of the true strengths. Perhaps the 
most plausible explanation is that additional consolidation took place because 
of sample disturbance and that one was not testing the same soil each test, 
but an appreciably denser sample with each increased lateral pressure. In- 
spection of the decrease in failure water contents of the saturated samples 
supports the above explanation. 


Simplified Test and Analysis Procedure 


Mr. Calhoon has recommended a test series and analysis procedure with 
the object of determining, by extrapolation, the completely undisturbed field 
strength variation with void ratio. This recommendation probably represents 
the most thorough approach to the problem. However, the writer questions 
the general practicability of so extensive a laboratory test series. An alter- 
nate method is herein suggested. This suggested method requires a simpler 
procedure and fewer laboratory tests. 

Instead of consolidated-quick triaxial strength tests on series of 
“undisturbed” and remolded samples, the writer recommends that these 
samples be cut and slowly dried until the approximate desired void ratio is 
reached, and that they then be tested for strength using the unconfined com- 
pression test. As may readily be seen on Figure 6, on which the crosses 
represent slow- dried and natural density unconfined compression test 
strengths and the other symbols various types of triaxial strength tests, 
void ratio reduction by slow drying can be substituted for triaxial consolida- 
tion. 

When preparing slow-dried test samples it is important that the drying be 
Slow enough to permit water migration to the surface and thereby eliminate 
possible formation of a “crust” of drier clay at the sample surface. Clays 
containing sand or very silty layers may prove difficult to slow-dry uniformly 
without developing partings or warping. Triaxial testing would be the best 
procedure for such clays. 

The above suggested substitution would offer a number of important ad- 
vantages. The unconfined test equipment is less expensive, more generally 
available, and requires far less preparation and testing time. Unconfined 
samples can conveniently be cut to any size or shape, up to the maximum 
diameter of the undisturbed sample. Triaxial specimens, on the other hand, 
may be limited by the triaxial equipment. As Mr. Calhoon pointed out—the 
trimming disturbance of his 1.4"' diameter triaxial samples was proportional- 
ly larger than the disturbance of the 1.5"' thick consolidation sample, thus 
necessitating a triaxial consolidation curve for comparison purposes. Un- 
confined samples can be cut large enough so that trimming disturbance will 
be approximately the same (equal surface areas/unit volume) as that of the 
least disturbed (largest) “undisturbed” consolidation test sample. 

Referring to Figure 5, let us assume that the two series of slow-dried 
unconfined compression strength tests and the “undisturbed” consolidation 
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test are completed. These are the only tests required. The following 
procedure is recommended for extrapolating the field compressive strength 
curve: 


1. The first step is to reconstruct the undisturbed field consolidation 
curve. It is recommended that this be done according to the procedures 
described in the paper of footnote 11. Here one is interested in the slope 
of the virgin curve around the natural void ratio, which is generally the 
void ratio range of practical interest. The recommended procedure is 
sufficiently accurate for this purpose and requires no completely remolded 
or reduced thickness consolidation tests. 

2. Next determine point “C.” As shown on Fig. 5 this point is deter- 
mined by extending the “undisturbed” and remolded e vs. (0-93 ) strength 


curves as straight lines until they intersect at “C.” These lines are 
drawn so as to continue the slope of the strength curves at the void ratio 
at which the clay was disturbed. The strength curve slopes are essentially 
constant for moderate decreases from this void ratio and the proper ex- 
tension slope is easily determined. 


The significance of point “C” will now be explained. One knows from the 
nature of the sample disturbance effect on the consolidation e vs. log pres- 
sure curves10,11 that the virgin slope decreases in magnitude and is dis- 
placed to the left with increasing sample disturbance. All data indicate that 
disturbance has the same effect on the void ratio vs. (0,- 03 ) compressive 


strength curve. As with the consolidation test, the process is a continuous 
one—increments of increased disturbance result in increments of slope 
flattening and displacement to the left.12 It is assumed here that all the 
strength slopes, from the completely undisturbed to the completely remolded, 
are radial with a common center, point “C.” 

One may note that on Calhoon’s Figure 7, a “C” point at 33% - 9 T/sq. ft. 
would be a reasonable common intersection point for the three strength 
curves presented. It should be stated that while the “C” point assumption is 
believed by the writer to be approximately correct, it is conceivable that its 
use may yield undisturbed strength extrapolations that are too high. Re- 
search to determine the manner that these slopes intersect would be valuable. 

The above slopes should be determined over a moderate void ratio range 
below the void ratio at which the disturbance occurred-at greater ranges the 
clay structure is significantly changed by the consolidation with the often ob- 
served result that, on the semilog plot, the strength curve slope gradually 
flattens thereby increasing the rate of strength gain with further void ratio 
reduction. 


3. The last step is to make use of the Rutledge parallel relationship 
and construct a line through point ‘C” and parallel to the reconstructed 
field virgin curve. As shown on Figure 5, the upper portion of this con- 
structed line forms the basis for the Reconstructed Field Undisturbed 
Strength Curve. 


The strength correction procedures suggested by Mr. Calhoon and the 
writer have yet to stand the hard test of practical utilization. Such experi- 
ence with the latter is limited to two jobs, both dealing with sensitive marine 
organic clays. 


12. Calhoon reference No. 11. 
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On one job a strength correction analysis indicated that the laboratory 
tested samples had greatly reduced strengths as a result of sample distur- 
bance. New samples were obtained with a better sampler. The new strengths 
proved significantly higher than the original values, but still below the 
analysis-predicted completely undisturbed values. The new strength values 
were successfully, and perhaps conservatively, used fur design. On the other 
job a two-dimensional stability analysis indicated a factor of safety of 0.85 
when laboratory “undisturbed” strengths were used. The use of disturbance 
corrected strength values gave a factor of safety of 1.1. It was decided to 
use the latter. The fully loaded structure has proved stable. 

It would be valuable if Mr. Calhoon would present any experiences he or 
others have had using the correction procedure he presented. 
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Discussion of 
“EFFECTIVENESS OF SAND DRAINS ON NEW JERSEY TURNPIKE” 


by Charles M. Noble and O. J. Porter 
(Proc. Sep. 571) 


GREGORY P. TSCHEBOTARIOFF,! M. ASCE.—The writer wishes to com- 
pliment the authors for their valuable paper. 

The paper convincingly demonstrates the good results which can be ob- 
tained by proper design and field control of sand drain construction. A num- 
ber of papers have been published in recent years describing the general 
principles of the use of sand drains and outlining cases where they had been 
successfully used. The fact that the sand drain technique is an extremely 
useful tool of civil engineers appears to be now generally recognized. Some 
lone dissenting voices? form exceptions which confirm the rule. Such excep- 
tions? can be traced to unduly accelerated placing of the fill which produced 
mud waves and naturally destroyed the effectiveness of the sand drains. The 
need for proper planning of the sequence of operations and of their timing 
cannot therefore be over-emphasized. 

With the general principles of construction and design now firmly estab- 
lished, there is now a need for more detailed descriptions giving quantitative 
data concerning the soil properties and providing numerical comparisons of 
the settlements as forecast and as actually observed. One such paper3 has 
recently given numerical evidence showing that there is an appreciable de- 
crease in the water content of a mud layer after its accelerated consolidation 
due to sand drains. Contrary allegations2 have thereby been refuted. 

The present paper supplies a large amount of further numerical informa- 
tion which will be of use to future designers and which gives partial answers 
to a very important question, namely whether sand drains do or do not help 
to reduce or to eliminate entirely the settlement component due to secondary 
consolidation. In this connection the writer had serious doubts concerning 
peat soils and soils with a high organic content. Such soils exhibit during 
laboratory consolidation tests appreciable secondary compression. It ap- 
peared possible that on actual construction jobs settlements due to such 
secondary effects might continue after the end of the construction period in 
spite of the sand drains. 

The data published by the authors indicates that these effects are of little 
importance in the soils described by them, some of which had a high organic 
content. Corroboration of this has been obtained elsewhere.4 


1. Prof. of Civ. Eng., Princeton Univ., Princeton, N. J. 

2. “Checking up on Vertical Sand Drains” by William S. Housel, Highway 
Research Board Bulletin 90, 1954. 

3. “Sand Drain Applications by the Port of New York Authority,” by John M. 
Kyle and Martin S. Kapp, ASCE Separate No, 456. 

4. -Hawaii’s Experience with Vertical Sand Drains,” by H. B. Hirashima, 


Highway Research Board Bulletin 90, 1954. 
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As compared to the rate of settlement the actual magnitude thereof is of 
lesser importance. The agreement between the estimated values of the final 
settlement and the actually observed settlements reported by the authors is 
exceptionally good. There is undoubtedly an appreciable remolding of the 
mud by the driving of the sand piles. Therefore, for future comparisons and 
evaluations of the accuracy of settlement forecasts it is important to know 
the sensitivity of the clay as determined by the ratio of the undisturbed and 
of the remolded compressive strengths. Also important is the knowledge of 
the type of sampler employed and of the area ratio of that sampler. It is to 
be hoped that the authors will supply this additional information in their 
closure. 
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PROCEEDINGS-SEPARATES 


The technical papers published in the past year are presented below. Technical-division 
sponsorship is indicated by an abbreviation at the end of each Separate Number, the symbols 
referring to: Air Transport (AT), City Planning (CP), Construction (CO), Engineering Mechanics 
(EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), Sanitary 
Engineering (SA), Soil Mechanics and Foundations (SM), Structural (ST), Surveying and Mapping 
(SU), and Waterways (WW) divisions. For titles and order coupons, refer to the appropriate 
issue of “Civil Engineering” or write for a cumulative price list. 


VOLUME 80 (1954) 


JUNE: 444(SM)°, 445(SM)®, 446(ST)®, 447(ST)®, 448(ST)®, 449(ST)®, 450(ST)®, 451(ST)®, 452(SA)®, 
453(SA)®, 454(SA)®, 455(SA)®, 456(3M)e. 


JULY: 457(AT), 458(AT), 459(AT)°, 460(IR), 461(IR), 462(IR), 463(1R)°, 464(PO), 465(PO)°. 


AUGUST: 466(HY), 467(HY), 468(ST), 469(ST), 470(ST), 471(SA), 472(SA), 473(SA), 474(SA), 
475(SM), 476(SM), 477(SM), 478(SM)°, 479(HY)°, 480(ST)©, 481(SA)°, 482(HY), 483(HY). 


SEPTEMBER: 484(ST), 485(ST), 486(ST), 487(CP)°, 488(ST)°, 489(HY), 490(HY), 491(HY)‘, 
492(SA), 493(SA), 494(SA), 495(SA), 496(SA), 497(SA), 498(SA), 499(HW), 500(HW), 501(HW)°, 
502(WW), 503(WW), 504(Ww)°, 505(CO), 506(CO)®, 507(CP), 508(CP), 509(CP), 510(CP), 
511(CP). 


OCTOBER: 512(SM), 513(SM), 514(SM), 515(SM), 516(SM), 517(PO), 518(SM)°, 519(IR), 520(IR), 
521(IR), 522(IR)°, 523(AT)°, 524(SU), 525(SU)°, 526(EM), 527(EM), 528(EM), 529(EM), 
530(EM)°, 531(EM), 532(EM) , 533(PO). 


NOVEMBER: 534(HY), 535(HY), 536(HY), 537(HY), 538(HY)°, 539(ST), 540(ST), 541(ST), 542(ST), 
543(ST), 544(ST), 545(SA), 546(SA), 547(SA), 548(SM), 549(SM), 550(SM), 551(SM), 552(SA), 
553(SM)°, 554(SA), 555(SA), 556(SA), 557(SA). 


DECEMBER: 558(ST), 559(ST), 560(ST), 561(ST), 562(ST), 563(ST)°, 564(HY), 565(HY), 566(HY), 
567(HY), 568(HY)°, 569(SM), 570(SM), 571(SM), 572(SM)°, 573(SM)°, 574(SU), 575(SU), 576(SU), 
577(SU), 578(HY), 579(ST), 580(SU), 581(SU), 582(Index). 


VOLUME 81 (1955) 


JANUARY: 583(ST), 584(ST), 585(ST), 586(ST), 587(ST), 588(ST), 589(ST)°, 590(SA), 591(SA), 
592(SA), 593(SA), 594(SA), 595(SA)°, 596(HW), 597(HW), 598(HW)°,599(CP), 600(CP), 601(CP), 
602(CP), 603(CP), 6044EM), 605(EM), 606(EM)°, 607(EM). 


FEBRUARY: 608(WW), 609(WW), 610(WW), 611(WW), 612(WW), 613(WW), 614(WW), 615(WwW), 
616(WW), 617(IR), 618(IR), 619(1R), 620(IR), 621(1R)©, 622(IR), 623(IR), 624(HY)°, 625(HY), 
626(HY), 627(HY), 628(HY), 629(HY), 630(HY), 631(HY), 632(CO), 633(CO). 


MARCH: 634(PO), 635(PO), 636(PO), 637(PO), 638(PO), 639(PO), 640(PO), 641(PO)°, 642(SA), 
643(SA), 644(SA), 645(SA), 646(SA), 647(SA)°, 648(ST), 649(ST), 650(ST), 651(ST), 652(ST), 
653(ST), 654(ST)°, 655(SA), 656(SM)°, 657(SM)°, 658(SM)°. 


APRIL: 659(ST), 660(ST), 661(ST)°, 662(ST), 663(ST), 664(ST)©, 665(HY)°, 666(HY), 667(HY), 
ae, 669(HY), 670(EM), 671(EM), 672(EM), 673(EM), 674(EM), 675(EM), 676(EM), 677(EM), 
7 ‘ 


MAY: 679(ST), 680(ST), 681(ST), 682(ST)°, 683(ST), 684(ST), 685(SA), 686(SA), 687(SA), 688(SA), 
689(SA)°, 690(EM), 691(EM), 692(EM), 693(EM), 694(EM), 695(EM), 696(PO), 697(PO), 698(SA), 
699(PO)°, 700(PO), 701(ST)°. 


JUNE: 702(HW), 703(HW), 704(HW)°, 705(IR), 706(IR), 707(IR), 708(IR), 709(HY)°, 710(CP), 
711(CP), 712(CP), 713(CP)®, 714(HY), 715(HY), 716(HY), 717(HY), 718(SM)°, 719(HY)¢, 
720(AT), 721(AT), 722(SU), 723(WW), 724(WW), 725(WW), 726(WW)°, 727(WW), 728(IR), 
729(IR), 730(SU)°, 731(SU). 


c. Discussion of several papers, grouped by Divisions. 
e. Presented at the Atlantic City (N.J.) Convention in June, 1954. 
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